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EXECUTIVE SUMMARY 

 

Crossroads at Westfields Building II is a five story office building in Chantilly, Virginia. 

The project was originally designed in 2005 but the project has been on hold since.  On 

completion of the Technical Reports, the overall design of the building complied with all 

of the applicable codes however it was concluded that it may not be the most 

economical solution. After modeling the building, it was found that the moment frames 

were oversized in the original design and the members could be optimized if the lateral 

design is altered.  

 

A study was conducted to find the most economical lateral system by comparing three 

alternative systems to the original. Due to architectural restrictions the structural 

system was limited to the original system of composite steel framing and the use of 

moment frames. However, the finalized lateral resisting system was designed with 

separate Response Modification Factors in each direction and the use of (2) two-story 

“X” braces combined with moment frames. The original design had four moment 

frames in each direction. Overall, the new design used 13% less steel than the original 

design and the overall structure cost just under 21% less. Not only was the amount of 

steel reduced but the overall cost of the foundations was also reduced with no effect to 

the schedule. Designing a more economical lateral system in terms of the amount of 

steel used was the first goal of the depth that was met. 

 

The second part of the depth was to design a portion of the building to mitigate the risk 

of Progressive Collapse. For the purpose of this thesis Building II will occupy a 

hypothetical client of government or „high profile‟ stature. With the building now being 

considered „performance based‟ or high profile it could be subject to abnormal loading 

from an explosion or blast from a terrorist attack.  Following recommendations from the 

GSA, the building was analyzed with a linear static approach. Two methods were 

analyzed and compared; an Indirect method and Direct method. Both methods 

coupled with the new lateral design proved to be more cost efficient than the original 

design which was the intended goal.  

 

The architecture breadths are based off a similar premise that Building II is considered 

a „high-profile‟ type of building. The scope of the breadth was to analyze the original 

site layout and redesign to mitigate the risk of an attack. The one fallback when 

designing a site to have a hardened perimeter and certain setbacks is the amount of 

land available. Fortunately for Building II, the site provided enough land for a sufficient 

setback distance. The only additional costs came from hardening the perimeter with 

fences, bollards, etc. With the goal to keep the Architecture of the façade untouched, 

the glazing and precast panel connections were evaluated and redesigned to better 

resist abnormal blast loadings.    

 

Overall, I would conclude that most of the goals from the proposal were met including 

redesigning a more cost efficient structure and using the savings to design against 

progressive collapse.   
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BACKGROUND 

 

SITE AND GENERAL ARCHITECTURE 

 

The Crossroads at Westfields are two identical office buildings mirroring each other on 

site.  Although the project is currently on hold, these two buildings will offer over 

300,000 GSF of office space to future tenants. Located in the Westfields Corporate 

Center of Chantilly, Virginia, the site is at the crossing of the Stonecroft Blvd. and Lee 

Rd., hence the name. Building II, identical to Building I, is a 5-story office building with 

floor plans that offer spans of over 41 feet. The long spans in the exterior bays create a 

large open floor allowing the tenant to easily adapt the space to their needs. The 

structure consists of composite steel beam framing on each floor and is combined with 

ordinary moment frames to resist lateral loading. The roof is supported by joists and 

steel decking that will support future mechanical units.   

 

 

  

 

        SITE PLAN         TYPICAL FLOOR PLAN 

 

 

In prior Technical Reports, the existing design for Building II was analyzed to check 

several aspects of the buildings structural systems. All of the systems met the 

applicable code and requirements. This included an analysis of gravity design loads 

and lateral forces in compliance with ASCE 7-05, an assessment of multiple floor 

systems comparing cost and ease of constructability, and finally a complete analysis of 

the buildings lateral system. On completion of these reports, the overall design 

complied with all of the applicable codes however it was found that it may not be the 

most cost efficient solution.  
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INTRODUCTION 

 

This report will conduct a study to find the most economical lateral system by 

comparing three alternative systems to the original. The architectural design of the 

façade is a combination of glass and precast panels limiting the lateral system on the 

exterior of the building to moment frames. The floor plan consists of large open spaces 

created by the spans of over 41‟ ft in the exterior bays. Due to these architectural 

restrictions the structural system is mostly limited to original system of composite steel 

framing and the use of moment frames. An investigation will be conducted to analyze 

the architectural plan to distinguish the possibility of using braced frames somewhere 

in the building.  

 

Located west of Washington DC, Building II is located in the Westfields Corporate 

Center of Chantilly, Va. For the purpose of this project and the second part of the 

structural depth, Building II will be considered a „high-profile‟ or „performance-based‟.  

With the building now being considered „high profile‟ it may be at risk to abnormal 

loading from an explosion or blast from a terrorist attack which could potentially lead to 

progressive collapse.  Following recommendations from the GSA and the DoD, Building 

II will be analyzed to mitigate the risk of progressive collapse.  

 

The architecture breadth is based off the same premise that Building II is considered a 

„high-profile‟ type of building. The scope of the breadth is to analyze the original site 

layout and redesign to mitigate the risk of an attack. With the goal to keep the 

Architecture of the façade untouched, the glazing and precast panel connections are 

going to be evaluated and redesigned to better resist abnormal blast loadings. The final 

breadth will be a cost analysis of the lateral redesign, both methods of progressive 

collapse design and the additional costs associated with the site redesign. 
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EXISTING STRUCTURAL SYSTEMS 

 

 

FOUNDATION SYSTEMS 

 

The Foundation system consists of reinforced cast-in-place concrete spread footings. 

According to the Geotechnical report recommendations prepared by ECS, Ltd the 

allowable soil bearing values vary throughout the site. Foundations bearing on the 

natural „weathered rock‟ soil classification will be designed with an allowable soil 

bearing of 6000 psf while foundations bearing on engineered fill will be designed for soil 

bearing of 3000 psf. The concrete strength shall be 3000 psi.  

 

According to recommendations in the Geotechnical Report, the Slab on Grade will bear 

on the natural soil. The slab is a 4” thick cast-in-place concrete with 6x6–10/10 welded 

wire mesh (WWM), laid on a 6-mil fiberglass reinforced polyethylene vapor barrier and 

4” of washed gravel. Interior SOG will have a compressive strength of 3000 psi, while 

exterior SOG will have a strength of 4500 psi.  

 

 

FLOOR SYSTEMS  

 
A typical floor in the Building II consists of 3” 20 gauge composite steel deck with 3-1/4” 

lightweight concrete slab totaling a total slab thickness of 6-1/4”.  The slab shall be 

reinforced with 6X6-10/10 WWM and have a compressive strength of 3000 psi. The 

floor is supported by A992 wide flange beams with studs dimensioned at ¾” in 

diameter and 5 ¼” in length. The beams are spaced at 10‟ o/c and span 41‟-8” in a 

typical exterior bay and 30‟-0” in a typical interior bay, as you can see in Figure 2 

below. Depending on the floor, the beams will be cambered from an 1” to 1½” and will 

vary in size and weight. Typical interior girders are W24-62 spanning 30‟-0”, while 

typical exterior girders vary in size and also span 30‟-0”. 

 

 

ROOF SYSTEM 

 
As seen in Figure 3, the roof system is comprised of 1-1/2”  22 gauge Type B wide rib 

galvanized roof deck, on K series bar joists and steel girders.  Light-gage framing 

makes up the  4‟ parapet and the screen wall encompassing the roof. Precast panels 

frame into each floor including the roof. 

 

Rooftop Mechanical pads for future tenant equipment shall be constructed similar to 

the typical floor system consisting of 3” 20 gauge composite steel deck with 3-1/4” 

lightweight concrete slab totaling a total slab thickness of 6-1/4”.  The slab shall be 

reinforced with 6X6-10/10 WWM and have a compressive strength of 3000 psi.  

 

 

COLUMN SYSTEM 

 
Having a very uniform design layout the column system consists of typical exterior bays 

of 30‟-0” x 41‟-8” and interior bays of 30‟-0” x 30‟-0”. All of the columns consist of either 

a gravity resisting member or a combined lateral and gravity resisting member. Each 

columns is spliced at 4 feet past the third floor, regardless of its resisting system. All 

columns vary in size depending on location and load resistance capabilities.   
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LATERAL SYSTEM 

 

The lateral resisting system for wind and seismic loads consists of a number of 

structural steel moment frames running in both directions. Lateral loading is transferred  

from precast panels (connected at each floor) to each individual floor. Once transferred 

into the floor system, the load is transferred into composite beams which make up the 

framing and then into the columns. The columns and beams are connected by a 

moment connection seen in Figure 1. the columns transfer the rest of the load into the 

foundation.  

 

 

 

FIGURE 1 – Typical Beam to Column Moment connection 

 

 

Figure 2 clearly shows the four moment frames positioned in each direction, North-

South and East-West, supporting the building laterally. In both directions the moment 

frames are positioned symmetrically about the center axis. The North-South (Frames 1-

4) lateral system is 2 sets of parallel moment frames anchoring each end bay. The 

East-West (Frames 5-8) lateral system is a set of 2 moment frames on each exterior 

side of the building. The beam sizes vary.  

 

 

 

FIGURE 2a – Typical Floor plan with moment frames 
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FIGURE 2b – Overall 3D RAM Model with highlighted moment frames 
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STRUCTURAL DEPTH 

 

LATERAL REDESIGN STUDY 

 

BACKGROUND 

 

After modeling and analyzing the original lateral design in the prior technical reports it 

was concluded that the members of the moment frames were oversized. As stated in 

the Background portion, one of the key architectural features of the Building II was the 

open floor plan created by the long spans of the composite framing. Due to this and 

the fact that all of the exterior façades are mostly windows, the lateral design was 

almost exclusively limited to moment frames. However, after a study of the 

architectural floor plan, I was able to find locations next to two stairways in the building 

in which I could place two-story “X” braces without affecting the floor plan design. Only 

the North-South direction (long side) had the ability to add braces without disrupting the 

floor plan, the East-West (short side) only has three bays and none of which presented 

the option to add braces.  

 

 

DESIGN ASPECTS 

 

The design lateral loads seemed a little high under the assumption that the structure 

was rigid. After investigating the design of the building I found that the original structure 

was a flexible even though the initial “rule-of-thumb” suggested that the building was 

“probably” rigid. The rule of thumb states that the if the building‟s shorter width (115‟) 

exceeds four times the building‟s height (68‟ x 4 = 272‟ > 115‟) the structure is 

“probably” rigid. This is found in the earthquake design code with a typical 

preconception towards higher estimates of fundamental frequencies. However, the 

commentary of ASCE 7-05 states that the natural frequency for wind is n
1
=22.2/H

.8

 . 

This approximation was far more accurate to the results of the RAM output, stating that 

the building was flexible with a period of 2.8 seconds in the north-south direction which 

wind happened to control. This verified the original design.  

 

Another notable design aspect was the original design used the ASCE 7-02 and IBC 

2003 as the governing code which used USGS maps from 2000. These maps gave 

spectral response accelerations of Ss (0.2 sec) = .183 and S1 (1 sec) = .064, resulting 

in a Seismic Design Category of B. This requires Equivalent Lateral-Force Analysis. 

However, for this thesis project ASCE 7-05 was used as the governing code which uses 

USGS maps from 2003 producing spectral response accelerations of Ss = .158 and 

S1= .051, resulting in a Seismic Design Category of A. There is no further analysis 

needed if your building is in Seismic Design Category A, the response coefficient is 

simply .01 and you design the base shear to 10% of the buildings weight. For this 

reason, I conducted all of the analysis using the 2000 USGS maps to be able to 

compare the redesign to the original design.     
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DESIGN APPROACH 

 

The original lateral system was designed with wind forces (factored) controlling in the 

north-south direction and seismic controlling in the east-west direction. This was 

somewhat surprising considering the low seismic region. Knowing the limitations 

architecturally the design options were laid out in each direction. In the north-south 

direction, wind controlled and there is no way to reduce the design force from wind 

because it‟s based on solely on location. This was the direction that I was able to add 

braces in the middle bay and moment frames in the adjacent bays at column lines 3 

and 8. The original design had two moment frames anchoring the end bays, as seen in 

figure 3. By adding these moment frames/braced frames to column line 3 and 8 and 

removing the original moment frames I was able to keep the lateral members 

symmetrical preventing torsion. In the short direction, or the east-west direction the use 

of braced frames was not possible without altering the architecture of the building. 

Since the controlling forces were seismic, I was able to reduce the base shear by 

increasing the Response Modification Factor (R) which was originally R=3 (system not 

specifically detailed for seismic resistance).  
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SUMMARY OF OPTIONS 

 

 Original Design (R=3, both directions) 

 

 

FIGURE 3 

 

 

Figure 4 – Frame 1 in original design 

 

North-South East-West

Wind 342.0 144.0

Seismic 210.0 210.0

Design Base Shears 

 

 

Table 1 – Design Base Shears for Original Design 
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Option A-1 (R=8, both directions) 

 

This design consists of the same moment frame configuration but instead of an R=3 

(system not detailed seismically) an R=8 (special steel moment frames) which add 

more ductility to the connection. It also adds time to fabrication and erection because 

the connections must meet AISC seismic specifications for the respected type of 

connection and frame. This design reduced the member size in the east-west direction 

but didn‟t reduce any members in the north-south direction, eliminating it from a 

possible redesign option. These connections are used primarily in high seismic regions. 

 

 

FIGURE 5 – Option A-1 

 

 

North-South East-West

Wind 314.6 142.0

Seismic 124.0 124.0

Design Base Shears 

 

 

Table 2 – Design Base Shears for Option A-1 
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Option B-1 (N-S direction R=6, E-W direction R=4.5) 

 

This design consists of braced frames located in column lines 3 and 8, and moments 

frames anchoring the perimeters in the north-south direction with an R=6 (dual system 

with IMF – special steel concentrically braced frames). Using this system however you 

can use OMF in lieu of IMF in my Seismic Design Category. So the outer moment 

frames could be designed for an R=3 and the Braces could be designed for an R=6. 

However, two problems stood out; 1) the wind base shear still wasn‟t reduced therefore 

not reducing member size and 2) the braces took 91% of the shear distribution when 

only allotted 75% by code. For the moment frames to resist 25% of the forces the 

member sizes must increase to increase stiffness. This eliminated this option in the 

north-south direction. The east-west direction an R=4.5 (Intermediate Moment Frames) 

lowered the seismic base shear to a point where it controlled the upper floor design 

shear and wind forces controlled the lower levels. This lowered member size and didn‟t 

impact the schedule too much. This is a good balance and proved to be the most cost 

efficient design in the east-west direction.  

 

 

 

FIGURE 6 – Option B-1 

 

 

North-South East-West

Wind 314.6 144.0

Seismic 142.2 142.2

Design Base Shears 

 

 

Table 3 – Design Base Shears for Option B-1 
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Option B-2 (N-S R=3, E-W R=4.5) 

 

This design consists of braced frames located in the inner bays of column lines 3 and 8 

with moment frames in the outer bays for the north-south direction. An R=3 is sufficient 

because wind controls and the brace takes over 90% of the load. The east-west 

direction is the same design concept as the previous example, R=4.5 (IMF).  

 

 

 

FIGURE 7a- Option B-2 

 

 

 

FIGURE 7b – Option B-2 (Final Design)  
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FIGURE 8 – Braced Frame in lateral redesign 

 

 

North-South East-West

Wind 314.6 144.0

Seismic 142.2 142.2

Design Base Shears 

 

 

Table 4 – Design Base Shears for Option B-2 

 

 

 

IMPACT ON FOUNDATION 

 

The original foundation design was spread footing ranging in thickness from 30” to 42”. 

Designing the new lateral resisting system with braced frames, the majority of the load 

is taken by the brace. Therefore, the majority of the overturning moment is also taken 

by the brace resulting in a higher uplift force. The new foundations were designed in 

RAM and to resist the increase in uplift force friction piles and pile caps were used. The 

final pile design is summarized in the Appendix B and the cost breakdown can be 

found in the construction breadth.  
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CONCLUSIONS 

 

Since increasing the R value in the north-south direction is not cost efficient due to 

controlling wind forces, the most economical solution was to keep an R value of 3 in the 

north-south direction. An R value of 4.5 (IMF) will be used in the east-west keeping the 

original layout due to architectural restrictions. After this option was narrowed down 

and eventually resolved as the most efficient it was analyzed and checked with code 

(see Appendix B for calculations). The new design resulted in 13% less steel, obtaining 

the goal to design a more cost efficient structure. The takeoffs can be seen in the 

tables 5 and 6 below. Since the brace takes the majority of the load the foundation was 

checked to see if the foundations could handle the overturning moment of the brace. 

The results from RAM showed that there was uplift and the original design of all spread 

footings wasn‟t adequate. Piles and Pile Caps were designed in RAM and the results 

were factored into the overall cost comparison of the structure. A full cost analysis of 

the structure was completed and can be found in the construction breadth. 

 

 

 

 

TABLE 5 – Original Design Takeoff for Steel members 

 

 

 

 

TABLE 6 – Lateral Redesign Takeoff for Steel members 

 

 

 

 

 

 

 

 

 

Beams Columns Joists Braces

Gravity members (lbs) 813,457.00 88,509.00 58,000.00 0.00 480.0 tons

Lateral members (lbs) 210,003.00 173,127.00  - 0.00 191.6 tons

Total Weight (lbs) 1,023,460.00 261,636.00 58,000.00 0.00

Tons of Steel 511.7 130.8 29.0 0.0 671.5 tons

Original Design Takeoff

Beams Columns Joists Braces

Gravity members (lbs) 813,457.00 88,509.00 58,000.00 480.0 tons

Lateral members (lbs) 129,539.00 65,588.00 8,686.00 97.6 tons

Total Weight (lbs) 942,996.00 154,097.00 58,000.00 8,686.00

Tons of Steel 471.5 77.0 29.0 4.3 581.9 tons

Lateral Redesign Takeoff
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PROGRESSIVE COLLAPSE STUDY 

 

SIGNIFICANCE  

 

On April 19
th

,1995 the Murrah Building in Oklahoma City was bombed and the results 

were catastrophic. The blast caused a portion of the building to collapse which resulted 

in 168 causalities mostly from the building collapsing and not from the blast effects. 

This was the major progressive collapse event in US history and with the increase of 

international terrorist attacks (September 11
th

 attacks) the chances have increased that 

other structures may be targeted in the future.     

 

 

 

 

 

FIGURE 9 – Murrah Federal Building after bombing (FEMA Primer 2003) 
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BACKGROUND 

 

The Current code in the U.S. is written by International Code Council which adheres to 

the American National Standards Institute. Within the code publications there is very 

little mention to the mitigation of progressive collapse. In fact, the only standard that 

even references progressive collapse is the American Society of Civil Engineers which 

deals with design loads. The current edition, ASCE 7-05 provides a basic direction but 

gives no specific design criteria, stating:  

 

 “Except for specially designed protective systems, it is usually impractical for a 

structure to be designed to resist general collapse caused by gross misuse of a large 

part of the system or severe abnormal loads acting directly on a large portion of it. 

However, precautions can be taken in the design of structures to limit the effects of 

local collapse to prevent or minimize progressive collapse” (Baldridge). 

 

Although there is no real code pertaining to the potential collapse of buildings, US 

government agencies such as the General Services Administration and the Department 

of Defense have looked extensively into progressive collapse developing design criteria 

and guidelines to reduce the risk. The guidelines presented by these agencies include 

preventing collapse in new buildings and methods for assessing risk in existing 

buildings (Gould). The GSA has its own set of requirements for GSA facilities and meets 

the provisions set forth by the Interagency Security Committee (ISC). DoD facilities 

must meet requirements set forth by the Unified Facilities Criteria (UFC).  
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DESIGN APPROACH  

 

For the Purpose of this thesis report the applicable code was ASCE 7-05. There are two 

different design approaches defined in the code: Direct Design method and Indirect 

Design method:  

  

 

- Direct Design Approach – provide “explicit consideration of resistance to 

progressive collapse during the design process  

 

o Alternate Path – structure must be capable of bridging over a missing 

structural element, localizing damage. 

 

o Specific Local Resistance – which requires a part of the building to 

sufficient strength to resist the load or blast  

 

- Indirect Design Approach – provide resistance to progressive collapse 

“implicitly through the provision of minimum levels of strength, continuity, and 

strength.” 

 

o Plan layout 

o Integrated system of ties 

o Redundancy  

o Ductile detailing 

o Reinforcement for blast and load reversal  

 

These are simply just approaches and provide no criteria or code to adhere to. As 

stated in the introduction, Building II is hypothetically being considered a „high-profile‟ 

building in which it qualifies for additional design criteria to mitigate the risk of 

progressive collapse. Determining the threat level is first also important because it 

determines the approach taken. The Indirect method is more cost effective and is 

typically used when the threat is low. The Direct method is much more costly and is 

used when the threat is considered high.  

 

For this report, I will consider both methods to compare the costs implications. For the 

indirect method I will consider my building DoD facility and with a Low Level of 

Protection (LLOP). The design process can be seen by the flowchart below. 
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Figure 10 - DoD Design process flowchart (UFC 2005) 
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 As for the Direct Method, Building II is a GSA Facility and the threat was defined as a 

high level of protection. The Design Process can be seen in the Flowchart below. 

 

 

 

Figure 11 - GSA design process flowchart (GSA 2003) 
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DESIGN STRATEGIES 

 

Indirect Method – DoD facility with design for a Low Level of Protection 

 

The goal of this method is to effectively tie the structure together, making sure all of the 

ties meet the required design strengths.  Since the assumption was to have a Low 

Level of Protection all tie forces must be checked. Any vertical tie forces that do not 

meet the tie force capacity, an Alternative Load Path analysis is required. Examples of 

Horizontal Tie forces can be seen in the figure 10. A summary of the Tie Forces can be 

seen in figure 11 and calculations can be found in Appendix C. 

 

 

FIGURE 12 – Example of general tying of a steel framed building (UFC 2005) 

 

 

 

 

Table 7 – Tie force requirements 

 

 

 

 

Internal Tie Force 42.2 K

Peripheral Tie Force 15.3 K

Horizontal Tie Force 42.2 K

Vertical Tie Force 113.9 K

Tie Force Requirements 
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Direct Method – GSA facility with a design for a High threat level 

 

The guidelines provided by the GSA are to mitigate progressive collapse by 

concentrating on the detailing of local connections and global configurations of the 

structure. Alternative Load Path is a minimum requirement in the GSA requirements 

stating it is critical that girders and beams must be designed to span two full spans 

(two full bays). The Guidelines also state that there must be continuity against a 

removed column and that the beams must deform flexurally well past their elastic limit 

without collapsing. This figure shows the inability of a typical moment connection 

scheme to resist collapse after the removal of a column. 

 

 

FIGURE 13 – Example of a typical moment frame‟s inability to protect against 

progressive collapse (GSA 2003)   
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To analyze the exterior considerations of a steel framed structure, the GSA outlines the 

following procedure:  

 

 

 

FIGURE 14 – Exterior considerations for analyzing for alternative load path (GSA 2003) 

 

However, for Building II‟s hypothetical case an analysis will be conducted locally or a 

Specific Load Path. The back of Building II has the smallest setback distance and 

therefore would have the highest risk of a explosion at ground level. Three bays will be 

taken into consideration, or two columns, and redesigned. This happens to be the 

second point outlined, the removal of a column at or near the middle of the buildings 

long side. The following load case was applied: 

 

 

 

For exterior considerations, the GSA states that the collapse area resulting from the 

instantaneous removal of a vertical member at grade level is limited to the smaller of: 

 

1. The structural bays directly associated with the instantaneously removed 

vertical member in the floor level directly above the instantaneously removed 

vertical member 

 

or 

 

2. 1,800 ft
2

 at the floor level directly above the instantaneously removed vertical 

member 
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FIGURE 15 – Exterior considerations for analyzing for alternative load path (GSA 2003) 

 

 

Due to the abnormally long spans of Building II the structural bays affected by the 

removal of an exterior column exceeded 1800 ft
2

 so the extent was limited in this case. 

 

As for acceptance criteria, the GSA‟s requirements are indicated by Demand-Capacity 

Ratios or DCR. These ratios are determined by: 

 

 

 

Where, Q
UD

 is the acting or demand force determined in the component and Q
CE

 is the 

expected ultimate, un-factored capacity of the component. 

 

 

To analyze Building II for progressive collapse, a step by step procedure was followed 

which can seen in the Appendix C. Using virtual work, a plastic analysis was conducted 

on a one bay frame in Building II.  DCR‟s were taken off an acceptance criteria chart 

found in a Appendix C and the expected ultimate capacity, Q
CE

 was determined. 

According to expected capacity, the members were chosen according to their plastic 

capacity. Figures 16 and 17 represent the final design for 3 adjacent bays. 
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FIGURE 16 – Progressive Collapse Design 

 

 

FIGURE 17 – Bays designed for Progressive Collapse 
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SidePlate moment connections were used as final connection type the direct method. 

A typical moment connection will not adequately meet the requirements for a 

continuous load path if a vertical element is removed instantaneously. In the occasion 

that a column is removed by a blast, SidePlate‟s steel frame connections form a steel 

box that achieves beam-to-beam continuity. Also, the steel plates add robustness to 

the structure helping defend the structures integrity against blast loads. Figure 18 

shows the SidePlate connection. The SidePlate moment connection system have been 

extensively tested and exceeds all of the criteria for the GSA and DoD for designing 

against progressive collapse.  

  

 

FIGURE 18 – SidePlate moment connection 

 

 

CONCLUSION  

 

After redesigning the building for mitigating the risk of progressive collapse a material 

takeoff was conducted to see if the design could be accomplished with the extra costs 

saved from the new lateral design. The Direct Method used 3.75% less steel than the 

original design therefore obtaining the goal. The indirect method used no more steel 

than the lateral redesign, other than whatever was necessary for additional moment 

connections. A full cost analysis was completed and can be found in the construction 

breadth of the report. 

  

 

 

TABLE 8 – Material Takeoff for Progressive Collapse Design 

 

 

 

 

 

Beams Columns Joists Braces

Gravity members (lbs) 865,191.00 139,337.00 58,000.00 531.3 tons

Lateral members (lbs) 129,539.00 91,966.00 8,686.00 110.8 tons

Total Weight (lbs) 994,730.00 231,303.00 58,000.00 8,686.00

Tons of Steel 497.4 115.7 29.0 4.3 646.4 tons

Progressive Collapse (Direct) + Lateral Redesign Takeoff
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CONCLUSION of STRUCTURAL DEPTH 

 

After meeting both goals for the structural depth of this report, the original lateral 

design doesn‟t seem to be the most optimum solution. The lateral system was 

redesigned using Intermediate moment frames in the east-west direction (R =4.5) and 

braced frames in the north-south direction (R=3). The redesign used 13% less steel, 

successfully accomplishing the intent of the depth. The comparison was made strictly 

on the amount of steel used and not the overall cost analysis. This can be found in the 

construction breadth later in the report.  

 

The second part of the depth encompassed designing the structure to mitigate the risk 

for progressive collapse with two different scenarios. The first, was an indirect method 

following guidelines from the Department of Defense with a low level of threat. No 

additional steel was needed other than additional moment connections around the 

perimeter of the building. The second, was a direct method following guidelines from 

the General Services Administration with a high level of threat. The guidelines are to 

design the entire building for an alternate load path in the case a vertical member is 

removed instantaneously by a blast load. However, for the purpose of this report a 

specific load path was analyzed limiting the analysis to one bay and the design to three 

adjacent bays. In both cases, the design was added into the lateral system redesign 

and in both cases less steel was used than the original design.   
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ARCHITECTURAL BREADTH 

 

SITE DESIGN 

 

BACKGROUND 

 

Similar to the second part of the structural depth this breadth is based off the same 

premise that Building II is considered a „high-profile‟ type of building. That being the 

case, the scope is to analyze the original site layout and redesign it to mitigate the risk 

of a possible attack. To accomplish this goal, the GSA‟s Site Security Design Guide was 

used which provides the criteria to design a secure site and safe public environment. 

With the initial goal to keep the architecture of the façade untouched, the glazing and 

precast panel connections are going to be evaluated and redesigned to better resist 

abnormal blast loadings.  

 

DESIGN PRINCIPLES 

 

The easiest way to prevent an attack of a „high-profile‟ or federal building is to prevent 

the threat from ever approaching the target. To provide a secure site the GSA 

recommends integrated security measures into the site architecture creating a safe 

effective public space. Hopefully, many of 

these measures will never be used to prevent 

an attack and if integrated properly can be 

used for the purpose of the public, similar to 

Figure 19. Not only is the integration of these 

types of security elements into the design a 

challenge but balancing the amount of risk 

with the high costs is even more of a 

challenge.   Some of these challenges include 

the determination of threats and vulnerabilities 

which are very hard to predict, decisions about 

what to protect, and selection of 

countermeasures which are usually extremely 

expensive. To achieve this balance between 

aesthetics and security the GSA has 

established four principles or hallmarks:  

 

 

 

  

FIGURE 19 – Use of monument as 

perimeter barrier

1. Strategic Reduction of Risk – defines priorities, weighs resources available 

to site design, facility design and property management 

 

2. Comprehensive Site Design – meets site requirements while maximizing 

functionality, aesthetics, and total project value for the users 

 

3. Collaborative Participation – a multidisciplinary team that integrates 

diverse expertise to create innovative and effective solutions 
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4. Long-Term Development Strategy – A phased, incremental strategy for 

implementations of security improvements over time. 

 

 

DESIGN GUIDELINES 

 

To allow the multidisciplinary teams to effectively achieve collaboration the GSA has 

developed site “zones”. By breaking the site into these zones the design team can 

better recognize the relationships between the zones and how they affect each other in 

the design process. The site is broken into 6 zones: 

    

   Zone 1 – Neighborhood 

   Zone 2 – Stnadoff Perimeter 

   Zone 3 – Site Access and Parking 

   Zone 4 – Site 

   Zone 5 – Building Envelope  

   Zone 6 – Management and Building Operations 

 

A breakdown of each zone can be seen in the Appendix D.  

  

 

 

 

FIGURE 20 – Conceptual Zone Plan 
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DESIGN APPROARCH  

 

Once built, Building II will be located in the Westfileds Corporate Center of Chantilly, Va. 

The property owned by the Alter Group is very extensive allowing for a wide perimeter 

setback. Standoff perimeter is the easiest way to prevent an attack on a building but 

purchasing land is one of the most expensive parts of a project. The problem with most 

“high-profile” buildings is the building is usually set in a city setting and the available 

land isn‟t enough to obtain a proper setback. Designers then must compensate by 

hardening the façade, envelope and structure to meet security requirement which is 

very expensive. Fortunately for the Building II, the available setback is 135‟ in the back, 

and over 200‟ in the front and on the side. Even though the building is setback further 

the front of the building is at higher risk because of the public road access and no 

barrier. The back of the building is setback 135 ft. from the property line however there 

is a 6 ft change in elevation with a retaining wall, preventing the pressures from blast.   

 

 

 

FIGURE 21 – SITE REDESIGN 

 

 

  

 



SPRING 2009  AE SENIOR THESIS 

 

STEPHEN LUMPP  FINAL REPORT Page 34 of 100 
 

 

To start the design approach a threat level must be assumed and this is usually determined 

by the type of building. As previously stated, Building II will be hypothetically a “high-profile” 

corporate office building with a “High” level of protection required. Figure 22 shows the level 

of protection vs. standoff distance and explosive weight for a “typical generic conventional 

construction”. The critical standoff for Building II is 230 ft (front of building and distance to 

nearest road access) which would limits the blast weight to 220 lbs of equivalent TNT 

charge. For purposes of this breadth, a 500 lb. equivalent TNT blast will be used. This 

obviously requires changes to the façade to compensate for the additional standoff distance 

required which is approximately 300 ft. according to Figure 22. 

 

 

FIGURE 22 – Protection Level vs. Standoff and Explosive Weight  

(ISC performance based design)
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FIGURE 23a – Site redesign with hardened perimeter 

 

Since the level of protection is considered „high‟ the decision was made to secure the 

perimeter. Since the site is so extensive, securing the perimeter will cost a lot of money.  

There are already retaining walls used throughout the site so a comparison was conducted 

to see the cost implications of using a retaining wall vs. a security fence to secure the 

perimeter. Figure 23a shows the measures taken to harden the perimeter and Figure 23b 

shows the secure access point. As you can see from the Table 9 below, the fence is more 

cost efficient and a much more logical choice. Figures 24 and 25 show the other materials 

and objects used to harden the perimeter. The key was to secure the access points of the 

site by using automatic anti-ram bollards and guard booths. The full specs can be found in 

Appendix D. Natural landscaping is a great way to save costs and fortunately the site has a 

large pond in the northeast corner, which acts as a natural barrier.  

 

FIGURE 23b – Access point to Site 
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TABLE 9 – Hardened perimeter comparison 

 

   

 

FIGURE 24 – Security Fence and Anti-ram automatic bolllard 

 

 

FIGURE 25 – Guard booth module  

Retaining Wall quantity unit unit price amount

Excavation 640.4 CY $30 $19,212

Backfill 320.2 CY $20 $6,404

footing concrete 320.2 CY $350 $112,070

wall (12") 14410.0 SF $30 $432,300

wall drain tile 2882.0 LF $25 $72,050

$642,036

Security Fence 1926.0 LF $130 $250,380
} compred to

Hardened Perimeter Comparison
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FAÇADE REDESIGN 

 

WINDOW DESIGN APPROACH 

 

According the GSA, the type of façade and level of protection determine the minimum 

standoff distance. The façade can either be „frangible‟ which has an ultimate, unfactored 

flexural capacity that is less than 1.0 psi or „non-frangible‟ which has an ultimate, unfactored 

flexural capacity over more than 1.0 psi. As stated in the site design of the breadth, the level 

of protection is assumed to be „high‟. To see the calculations of the strength of the façade 

please see Appendix D. After determining that the façade surface was „non-frangible‟ the 

required standoff is 130 ft., according to Figure 26. All of the standoff distances of Building II 

meet this requirement.  

 

 

 

 

 

FIGURE 26 – Minimum defended standoffs for various types of construction 

(GSA 2003) 

 

 

 

As for the materials of the façade, there are several unknowns that must be assumed similar 

to the site design. Assuming a „high‟ level of protection and a 500 lb TNT equivalent charge 

similar to the site design the window were designed according to ASTM F 2248-03. There 

are a couple different glazing options when it comes to blast resistant windows depending 

on the pressure. The window assembly recommended by ASTM is a laminated glass unit 

which is two separate plies of glass separated with a innerlayer of polyvinyl butyral (PVB). The 

design concept behind a laminated glass unit is for the inner PVB layer to act as an 

“adhering net” for the outer layer once it‟s been compromised. The buildup can be seen in 

Figure 28.  A similar glazing system is the “sacrificial ply” which is designed to have the outer 

ply break or “sacrifice” itself and design the inner layer to resist the blast load. The typical 

glass plies used are heat-strengthened or fully tempered glass which are stronger and safer 

when the break than the typical annealed monolithic ply as seen in Figure 27. 
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Figure 27 – Impact performance of Glazing Materials (Old Castle) 

 

 

Figures 29 and 30 show the design pressure indicated and the minimum thickness required 

to resist a blast for Building II. The final design for the window fenestrations are (2) 1/8” heat 

strengthened plies with a .030” layer of PVB in between.  Figure 28 shows the glazing 

buildup and the specs can be found in the Appendix D as well as the design calculations.  

 

 

 

 

FIGURE 28 – Glazing buildup (Old Castle) 

1. represents (2) layers of glass 

2. inner-layer material 
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FIGURE 29 – standoff distance vs. equivalent design load (ASTM 2248-03) 

 

 

FIGURE 30 – Fenestration opening vs. Design blast load (ASTM 2248-03) 
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PRECAST PANELS CONNECTION 

 

Once the design pressures were determined, the reinforcement can be designed for the 

precast panels. The original connection type as seen in Figure 31 was designed to resist 

lateral pressures of wind and transfer them into the respective diaphragms. The pressures 

from a blast will be much higher and therefore the reinforcement should be changed along 

with alterations to the connections. Figure 32 shows an alternative solution to the connection 

type that will absorb energy from the blast load by deforming plastically. Changing the 

connection type will allow the panels to act like springs to damp the forces from the blast.  

 

 

 

 

 

FIGURE 31 – Original Precast connection 
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FIGURE 31 – Precast panel connection (Midwest precast) 

 

 

 

 

CONCLUSION 

 

This breadth evaluated the integration of the site and building as a function to resist the 

threat associated with a potential attack. The safety of the occupants is the number one 

concern when it comes to designing a building that has the high potential of attacked. 

Obviously, the designer can a fortify the site and which would surely meet all requirements 

and keep occupants safe. However, that would not be cost efficient and it is the designers to 

challenge to balance a design that is cost efficient and still meets the security requirements. 

Figure 32 shows the relationship between standoff distance and incremental component 

cost. As you can see from the chart, any standoff under 50 ft. the cost increases 

exponentially. The total protection cost is the top purple curve and is a function of all of the 

other curves. Progressive Collapse design is a straight line because it is an independent 

threat. To protect Building II the perimeter was secured and that happens to be the most 

expensive way to achieve the security measures. After analyzing the site and determining 

the threat and risk levels a balanced design was incorporated. Since the site was so 

extensive and the perimeter had such a large radius, securing it was a necessity to counter 

the threat level.    
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FIGURE 32 – Standoff vs. Cost of protection 
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CONSTRUCTION BREADTH 

 

The purpose of this breadth was to breakdown the costs and schedule implications of re-

designing the lateral system. A comparison was also completed for the hypothetical situation 

that Building II was a „high-profile‟ building and required a „High‟ level of protection.  The 

charts below summarize the cost breakdowns and number of weeks required for 

construction.  

 

 

 

TABLE 10 – Original Design Cost summary 

 

 

 

 

 

TABLE 11 – Lateral Redesign Cost Summary 

 

Quantity Unit Rate Cost Duration Unit

Tons of Steel 671.5 Tons $1,850 $1,242,364 - -

Gravity Fab. & Erection 480.0 Tons $400 $191,993

Lateral Fab. & Erection 191.6 Tons $1,000 $191,565

Connections              R=3 120 Ea - -

Foundation 1090.0 Cy $275 $299,750 4 weeks

$1,925,672 12 weeksTotal cost and Duration

8 weeks

Original Design Cost Summary

Quantity Unit Rate Cost Duration

Tons of Steel 581.9 Tons $1,850 $1,076,496 - -

Gravity Fab. & Erection 480.0 Tons $400 $191,993

Lateral Fab & Erection 55.1 Tons $1,000 $55,145

 R=3 52.0 Ea -

Lateral Fab & Erection 42.4 Tons $1,200 $50,903

R=4.5 40.0 Ea - -

Lateral Fab & Erection 4.3 Tons $500 $2,165

Brace 40.0 Ea - -

Foundation:       Spread 395.0 CY $275 $108,625 2 weeks

Pile Cap 81.0 Cy $275 $22,275 1/2 week

Piles 600.0 VLF $10 $6,000 1/2 week

Total cost and Duration $1,513,601 12 weeks

Lateral Redesign Cost Summary

9 weeks

Cost +/- % +/-

-$412,071 -21.40%
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TABLE 12 – Direct Method Cost Summary 

 

 

 

 

 

TABLE 13 – Indirect Method Cost Summary 

 

 

Quantity Unit Rate Cost Duration

Tons of Steel 646.4 Tons $1,850 $1,195,765 - -

Gravity Fab. & Erection 531.3 Tons $400 $212,506

Lateral Fab & Erection 47.2 Tons $1,000 $47,206

  R=3 52.0 Ea - -

Lateral Fab & Erection 36.3 Tons $1,200 $43,575

R=4.5 40.0 Ea - -

Lateral Fab & Erection 27.2 Tons $1,400 $38,128

SidePlate  Conn. 30.0 Ea - -

Lateral Fab & Erection 4.3 Tons $500 $2,150

Brace 40.0 Ea - -

Foundation:            Spread 500.0 CY $275 $137,500 2 weeks

Pile Cap 81.0 Cy $275 $22,275 1/2 week

Piles 600.0 VLF $10 $6,000 1/2 week

$1,705,104 13 weeks

10 weeks

Total cost and Duration

Progressive Collapse (Direct) + Lateral Redesign Cost Summary

Cost +/- % +/-

-$220,568 -11.45%

Quantity Unit Rate Cost Duration

Tons of Steel 581.9 Tons $1,850 $1,076,496 - -
Gravity Fab. & Erection 390.0 Tons $400 $156,000

Lateral Fab & Erection 145.2 Tons $1,000 $145,200

R=3 200.0 Ea - -

Lateral Fab & Erection 42.4 Tons $1,200 $50,880

R=4.5 40.0 Ea -

Lateral Fab & Erection 4.3 Tons $500 $2,150

Brace 40.0 Ea - -

Foundation:            Spread 395.0 CY $275 $108,625 2 weeks

Pile Cap 81.0 Cy $275 $22,275 1/2 week

Piles 600.0 VLF $10 $6,000 1/2 week

$1,567,626 14 weeks

Progressive Collapse (Indirect) + Lateral Redesign Cost Summary

Total cost and Duration

11 weeks

Cost +/- % +/-

-$358,046 -18.59%
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As you can see from the charts above, the lateral redesign saved over $400,000 dollars or 

21% to the overall structure. This included total tonnage of steel, the fabrication and erection 

and foundation costs. The new lateral design uses 13% less steel which reduces the overall 

weight of the building. The decrease in weight results in smaller foundation costs as well. 

Since the new design incorporates braced frames, which take the majority of the lateral load, 

piles and pile caps were used as the foundation for braced frames and moment frames. The 

piles were precast concrete and the pile caps were significantly smaller than the original 

spread footings used. These changes to the foundation saved a week on construction time 

and compensated for extra fabrication time required for the intermediate moment frames. 

Therefore, schedule was not impacted and the new lateral system proved to be a better 

design all around. 

 

The second part of the structural depth encompassed designing the structure to mitigate the 

risk of progressive collapse. The original goal was to accomplish this by using the lateral 

redesign and integrate the progressive collapse design with the costs saved. Two methods 

were completed, a direct method and an indirect method. Both were accomplished without 

exceeding the original costs of the building. As stated previously, the progressive collapse 

design was concentrated to a specific load path in lieu of an alternate load path. If the entire 

exterior of the building was to be designed to meet GSA‟s alternate load path criteria the 

costs would have surpassed the original design. As far as construction implications, the 

increased number of connections and extra fabrication time adds multiple weeks onto the 

construction process as you can see from the charts. 

 

 

 

 

 

TABLE 14 – Overall cost summary of structural depth 

  

 

Although the indirect method proved to be only slightly more cost efficient than the direct 

method it must be noted that the direct method only considered three bays. If the actual 

criteria were followed, then the entire perimeter would have analyzed redesigned increasing 

costs significantly. The costs results correspond with the level of threat. The more risk a 

building is exposed to the more costs are related to obtain the required level of safety.  

 

 

 

 

 

 +/- Costs  +/- % Total Project +/-%

Original Design  -  -  -

Lateral Redesign -$412,071 -21.40% -2.83%

Direct Method PC* -$220,568 -11.45% -1.52%

Indirect Method PC -$358,046 -18.59% -2.46%

* Specific Load Path in lieu of Alternative Load Path

$1,567,626

Summary of Cost Analysis

Total Cost of Structure

$1,925,672

$1,513,601

$1,705,104
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A summary of the additional site costs is shown in table 15 and 16 below. 

 

 

 

TABLE 15 – Additional Site Costs to Secure Perimeter 

 

 

 

TABLE 16 – Additional Façade Costs (RS Means – Cost Works) 

 

Reviewing Figure 32, and comparing costs for Building II it was concluded that securing the 

perimeter was more cost efficient in lieu of additional hardening to the façade. In Building II‟s 

case, hardening the façade outweighs the securing the perimeter in cost. This is due to the 

large amount of glass that the façade contains. Securing the perimeter is less than 

$1,000,000 while hardening the façade is over $4,000,000 due to the expensive costs of 

glazing.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

quantity unit unit price amount

Bollards 12.0 Ea $600 $7,200

Guard Booth 3.0 booth $25,000 $75,000

Security Fence 1926.0 LF $130 $250,380

Additional Site Costs $332,580

Original Total $3,972,996 Original

New Total $4,305,576

8.37%

Additional Site Costs

Redesign

 ----------------------------->

 ----------------------------->

 ----------------------------->

Quantity Unit Unit Price Amount

Glazing & Curtain Wall 28177.0 SF $75 $2,113,275 original 

Glazing & Curtain Wall 28177.0 SF $150 $4,226,550 Redesign

100%

Additional Façade costs
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OVERALL CONCLUSION  

 

Several studies were conducted in this report to find the most economical lateral system. 

The comparison of three alternative systems to the original design was completed and a 

redesign was finalized. Due to architectural restrictions the structural system was limited to 

original system of composite steel framing and the use of moment frames. However, the 

finalized lateral resisting system was designed with separate Response Modification Factors 

in each direction and the use of (2) two-story “X” braces combined with moment frames. 

This is compared to the original design which had four oversized moment frames in each 

direction. Overall, the new design used 13% less steel than the original design and the overall 

structure cost about 21% less. Not only was the amount of steel reduced but the overall cost 

of the foundations was also reduced with no effect to the schedule. This achieved the original 

goal. 

 

The second part of the depth was to design a portion of the building to mitigate the risk of 

Progressive Collapse. For the purpose of this thesis the building occupied a hypothetical 

client of government or „high profile‟ stature. With the building now being considered 

„performance based‟ or high profile it was subjected to abnormal loading from an explosion 

or blast from a terrorist attack.  Following recommendations from the GSA, the building was 

analyzed with a linear static approach. Two methods were analyzed and compared; an 

Indirect method and Direct method. Both methods coupled with the new lateral design 

proved to be more cost efficient than the original design which was the intended goal.  

 

The architecture breadths were based off a similar premise that Building II was considered a 

„high-profile‟ type of building. The scope of the breadth was to analyze the original site layout 

and redesign to mitigate the risk of an attack. Additional costs came from hardening the 

perimeter with fences, bollards, etc. With the goal to keep the Architecture of the façade 

untouched, the glazing and precast panel connections were evaluated redesigned to better 

resist abnormal blast loadings.  To achieve a balanced design, it was concluded after a cost 

analysis that securing the site was more cost efficient than adding additional hardening to 

the building.  

 

Overall, I would conclude that most of the goals from the proposal were met including 

redesigning a more cost efficient structure and using the savings to design against 

progressive collapse.   
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APPENDIX A 

 

LATERAL REDESIGN (R-VALUE STUDY) 

 

ORIGINAL DESIGN 

 

 

Company JOB TITLE WESTFIELDS I & II

Address

City, State JOB NO. D07024 SHEET NO.

Phone CALCULATED BY PCB DATE

other CHECKED BY DATE

  VI.     Seismic Loads:    IBC 2003

Seismic Use Group : I

Importance Factor (I) : 1.00

Site Class : C

Ss (0.2 sec) = 18.30 %g

S1 (1.0 sec) = 6.40 %g

Fa = 1.200 Sms = 0.220 Sds = 0.146 Design Category = A

Fv = 1.700 Sm1 = 0.109 Sd1 = 0.073 Design Category = B

Seismic Design Category = B

Number of Stories: 5

Structure Type: Moment-resisting frame systems of steel

Plan Structural Irregularities: No plan Irregularity

Vertical Structural Irregularities: No vertical Irregularity

Flexible Diaphragms: No

Building System: Structural steel systems not specifically detailed for seismic resistance

Seismic resisting system: Structural steel systems not specifically detailed for seismic resistance

System Building Height Limit: Height not limited

Actual Building Height (hn) = 68.0 ft

DESIGN COEFFICIENTS AND FACTORS IBC2003

Simplified Analysis

Response Modification Factor (R) = 3 3

System Over-Strength Factor ( ) = 3 3

Deflection Amplification Factor (Cd) = 3 3

Sds = 0.146

Sd1 = 0.073

Code Reference Section for Detailing : AISC & AISI  = redundancy coefficient

Seismic Load Effect (E) = Q
E
 +/- 0.2S

DS 
D =    Q

E   
+/- 0.029D Q

E
 = horizontal seismic force

Special Seismic Load Effect (Em) =   o Q
E
 +/- 0.2S

DS 
D = 3.0 Q

E  
 +/- 0.029D D = dead load

PERMITTED ANALYTICAL PROCEDURES

Index Force Analysis (Seismic Category A only)    Method Not Permitted

Simplified Analysis    Method Not Permitted

Equivalent Lateral-Force Analysis  -  Permitted

Building period coef.  (C
T
) = 0.028 Cu = 1.70

Approx fundamental period (Ta) = CThn
x = 0.819 sec x= 0.80 Tmax = CuTa = 1.392

User calculated fundamental period (T) = 2.83 sec Use T = 1.392

8

Seismic response coef. (Cs) = SdsI/R = 0.049

need not exceed Cs = Sd1 I /RT = 0.017

but not less than Cs = 0.044SdsI = 0.006

USE Cs = 0.017

Design Base Shear V = 0.017W

Model, Linear & Nonlinear Response Analysis  - Permitted (see code for procedure)

ALLOWABLE STORY DRIFT

Structure Type: All other structures 

Allowable story drift = 0.020hsx   where hsx is the story height below level x

Zip Code search for Ss & S1.

then Ss & S1 from 

latitude & longitude 

using 1997 USGS.

Latitude & Longitude from address

then Ss & S1 from 

latitude & longitude 

using 2002 USGS.



SPRING 2009  AE SENIOR THESIS 

   

STEPHEN LUMPP  FINAL REPORT Page 50 of 100 
 

OPTION A-1 

 

 

 

 

 

 

Company JOB TITLE WESTFIELDS I & II

Address

City, State JOB NO. D07024 SHEET NO.

Phone CALCULATED BY PCB DATE

other CHECKED BY DATE

  VI.     Seismic Loads:    ASCE 7- 05

Occupancy Category: II

Importance Factor (I) : 1.00

Site Class : C

Ss (0.2 sec) = 18.30 %g

S1 (1.0 sec) = 6.40 %g

Fa = 1.200 Sms = 0.220 Sds = 0.146 Design Category = A

Fv = 1.700 Sm1 = 0.109 Sd1 = 0.073 Design Category = B

Seismic Design Category = B

Number of Stories: 5

Structure Type: Moment-resisting frame systems of steel

Horizontal Struct Irregularities: No plan Irregularity

Vertical Structural Irregularities: No vertical Irregularity

Flexible Diaphragms: No

Building System: Moment-resisting Frame Systems

Seismic resisting system: Special steel moment frames 

System Building Height Limit: Height not limited

Actual Building Height (hn) = 68.0 ft

DESIGN COEFFICIENTS AND FACTORS

Response Modification Factor (R) = 8

System Over-Strength Factor ( ) = 3

Deflection Amplification Factor (Cd) = 5.5

Sds = 0.146

Sd1 = 0.073

 = redundancy coefficient

Seismic Load Effect (E) = Q
E
 +/- 0.2S

DS 
D =    Q

E   
+/- 0.029D Q

E
 = horizontal seismic force

Special Seismic Load Effect (E) =   o Q
E
 +/- 0.2S

DS 
D = 3.0 Q

E  
 +/- 0.029D D = dead load

PERMITTED ANALYTICAL PROCEDURES

Index Force Analysis (Seismic Category A only)    Method Not Permitted

Simplified Analysis Use Equivalent Lateral Force Analysis

Equivalent Lateral-Force Analysis  -  Permitted

Building period coef.  (C
T
) = 0.028 Cu = 1.70

Approx fundamental period (Ta) = CThn
x = 0.819 sec x= 0.80 Tmax = CuTa = 1.392

User calculated fundamental period (T) = 2.83 sec Use T = 1.392

Long Period Transition Period (TL) = ASCE7 map = 8

Seismic response coef. (Cs) = SdsI/R = 0.018

need not exceed Cs = Sd1 I /RT = 0.007

but not less than Cs = 0.010

USE Cs = 0.010

Design Base Shear V = 0.010W

Model & Seismic Response Analysis  - Permitted (see code for procedure)

ALLOWABLE STORY DRIFT

Structure Type: All other structures 

Allowable story drift = 0.020hsx   where hsx is the story height below level x

Zip Code search for Ss & S1.

then Ss & S1 from 

latitude & longitude 

using 1997 USGS.

Latitude & Longitude from address

then Ss & S1 from 

latitude & longitude 

using 2002 USGS.
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OPTION B-1 

 

 

 

 

  VI.     Seismic Loads:    ASCE 7- 05

Occupancy Category: II

Importance Factor (I) : 1.00

Site Class : C

Ss (0.2 sec) = 18.30 %g

S1 (1.0 sec) = 6.40 %g

Fa = 1.200 Sms = 0.220 Sds = 0.146 Design Category = A

Fv = 1.700 Sm1 = 0.109 Sd1 = 0.073 Design Category = B

Seismic Design Category = B

Number of Stories: 5

Structure Type: Moment-resisting frame systems of steel

Horizontal Struct Irregularities: No plan Irregularity

Vertical Structural Irregularities: No vertical Irregularity

Flexible Diaphragms: No

Building System: Dual Systems w/ intermediate Moment Frames Capable of Resisting >= 25% of Seismic Forces

Seismic resisting system: Special steel concentrically braced frames (see code footnote)

System Building Height Limit: Height not limited

Actual Building Height (hn) = 68.0 ft

DESIGN COEFFICIENTS AND FACTORS

Response Modification Factor (R) = 6

System Over-Strength Factor ( ) = 2

Deflection Amplification Factor (Cd) = 5

Sds = 0.146

Sd1 = 0.073

 = redundancy coefficient

Seismic Load Effect (E) = QE +/- 0.2SDS D
=    QE   +/- 0.029D QE = horizontal seismic force

Special Seismic Load Effect (E) =   o QE +/- 0.2SDS D = 2.0 QE   +/- 0.029D D = dead load

PERMITTED ANALYTICAL PROCEDURES

Index Force Analysis (Seismic Category A only)    Method Not Permitted

Simplified Analysis Use Equivalent Lateral Force Analysis

Equivalent Lateral-Force Analysis  -  Permitted

Building period coef.  (CT) = 0.028 Cu = 1.70

Approx fundamental period (Ta) = CThn
x = 0.819 sec x= 0.80 Tmax = CuTa = 1.392

User calculated fundamental period (T) = 2.83 sec Use T = 1.392

Long Period Transition Period (TL) = ASCE7 map = 8

Seismic response coef. (Cs) = SdsI/R = 0.024

need not exceed Cs = Sd1 I /RT = 0.009

but not less than Cs = 0.010

USE Cs = 0.010

Design Base Shear V = 0.010W

Model & Seismic Response Analysis  - Permitted (see code for procedure)

ALLOWABLE STORY DRIFT

Structure Type: All other structures 

Allowable story drift = 0.020hsx   where hsx is the story height below level x

Zip Code search for Ss & S1.

then Ss & S1 from 

latitude & longitude 

using 1997 USGS.

Latitude & Longitude from address

then Ss & S1 from 

latitude & longitude 

using 2002 USGS.
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OPTION B-2 (Final Design) 

 

 

 

 

  VI.     Seismic Loads:    ASCE 7- 05

Occupancy Category: II

Importance Factor (I) : 1.00

Site Class : C

Ss (0.2 sec) = 18.30 %g

S1 (1.0 sec) = 6.40 %g

Fa = 1.200 Sms = 0.220 Sds = 0.146 Design Category = A

Fv = 1.700 Sm1 = 0.109 Sd1 = 0.073 Design Category = B

Seismic Design Category = B

Number of Stories: 5

Structure Type: Moment-resisting frame systems of steel

Horizontal Struct Irregularities: No plan Irregularity

Vertical Structural Irregularities: No vertical Irregularity

Flexible Diaphragms: No

Building System: Dual Systems w/ intermediate Moment Frames Capable of Resisting >= 25% of Seismic Forces

Seismic resisting system: Special steel concentrically braced frames (see code footnote)

System Building Height Limit: Height not limited

Actual Building Height (hn) = 68.0 ft

DESIGN COEFFICIENTS AND FACTORS

Response Modification Factor (R) = 4.5

System Over-Strength Factor ( ) = 3

Deflection Amplification Factor (Cd) = 4

Sds = 0.146

Sd1 = 0.073

 = redundancy coefficient

Seismic Load Effect (E) = QE +/- 0.2SDS D
=    QE   +/- 0.029D QE = horizontal seismic force

Special Seismic Load Effect (E) =   o QE +/- 0.2SDS D = 3.0 QE   +/- 0.029D D = dead load

PERMITTED ANALYTICAL PROCEDURES

Index Force Analysis (Seismic Category A only)    Method Not Permitted

Simplified Analysis Use Equivalent Lateral Force Analysis

Equivalent Lateral-Force Analysis  -  Permitted

Building period coef.  (CT) = 0.028 Cu = 1.70

Approx fundamental period (Ta) = CThn
x = 0.819 sec x= 0.80 Tmax = CuTa = 1.392

User calculated fundamental period (T) = 2.83 sec Use T = 1.392

Long Period Transition Period (TL) = ASCE7 map = 8

Seismic response coef. (Cs) = SdsI/R = 0.033

need not exceed Cs = Sd1 I /RT = 0.012

but not less than Cs = 0.010

USE Cs = 0.012

Design Base Shear V = 0.012W

Model & Seismic Response Analysis  - Permitted (see code for procedure)

ALLOWABLE STORY DRIFT

Structure Type: All other structures 

Allowable story drift = 0.020hsx   where hsx is the story height below level x

Zip Code search for Ss & S1.

then Ss & S1 from 

latitude & longitude 

using 1997 USGS.

Latitude & Longitude from address

then Ss & S1 from 

latitude & longitude 

using 2002 USGS.
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APPENDIX B 

 

LATERAL CALCULATIONS 

 

DESIGN WIND PRESSURES 
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DESIGN WIND PRESSURES 

 

 

 

 

 

 

 

 

(+GCpi) (-GCpi)

0-15 10.05 8.66 ± 2.80 5.86 11.46

20 10.93 9.42 ± 2.80 6.62 12.22

25 11.99 10.34 ± 2.80 7.54 13.14

30 12.34 10.64 ± 2.80 7.84 13.44

40 13.40 11.55 ± 2.80 8.75 14.35

50 14.28 12.31 ± 2.80 9.51 15.11

60 14.98 12.92 ± 2.80 10.12 15.72

68 15.60 13.45 ± 2.80 10.65 16.25

Leeward ALL 15.60 -4.71 ± 2.80 -7.51 -1.91

Side ALL 15.60 -11.77 ± 2.80 -14.57 -8.97

68 15.60 -15.14 ° ± 2.80 -17.94 -12.34

68 15.60 -8.41 † ± 2.80 -11.21 -5.61

68 15.60 -5.05 ‡ ± 2.80 -7.85 -2.25

° from windward edge to 68 ft
† from 68 to 136 ft

‡ from 136 to 275 ft

External pressure 

qGCp (psf)

Internal pressure qGCp 

(psf)

Windward

Location

Roof

Height above 

ground z(ft) 
q (psf)

Design Wind Pressures, p in the E-W Direction

Net Pressure p (psf)

(+GCpi) (-GCpi)

0-15 10.05 6.91 ± 2.80 4.11 9.71

20 10.93 7.52 ± 2.80 4.72 10.32

25 11.99 8.25 ± 2.80 5.45 11.05

30 12.34 8.49 ± 2.80 5.69 11.29

40 13.40 9.22 ± 2.80 6.42 12.02

50 14.28 9.82 ± 2.80 7.02 12.62

60 14.98 10.31 ± 2.80 7.51 13.11

68 15.60 10.73 ± 2.80 7.93 13.53

Leeward ALL 15.60 -6.71 ± 2.80 -9.51 -3.91

Side ALL 15.60 -9.39 ± 2.80 -12.19 -6.59

68 15.60 -12.48 ° ± 2.80 -15.28 -9.68

68 15.60 -11.54 † ± 2.80 -14.34 -8.74

68 15.60 -7.24 ‡ ± 2.80 -10.04 -4.44

° from windward edge to 34 ft
† from 34 to 68 ft

‡ from 68 to 115 ft

Design Wind Pressures, p in the N-S Direction

Roof

Location
Height above 

ground z(ft) 

Net Pressure p (psf)

Windward

q (psf)
External pressure 

qGCp (psf)

Internal pressure qGCp 

(psf)
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CONTROLLING WIND CASES 
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Px (E-W) Total Px .75Px (E-W) Mt Torsion, Px Total Px

Parapet 34.5 Parapet 25.9 446.3 1.15 29.8

Roof 14.5 Roof 10.9 187.6 1.15 12.5

5.0 26.9 5.0 20.2 348.0 1.15 23.2

4.0 24.7 4.0 18.5 319.6 1.15 21.3

3.0 22.3 3.0 16.7 288.5 1.15 19.2

2.0 21 2.0 15.8 271.7 1.15 18.1

Base 143.9 Base 124.1

Py (N-S) Total Py .75Py (N-S) Mt Torsion, Px Total Py

Parapet 45.5 Parapet 34.1 2580.7 1.275 43.5

Roof 34.7 Roof 26.0 1968.1 1.275 33.2

5.0 64.8 5.0 48.6 3675.4 1.275 62.0

4.0 60.3 4.0 45.2 3420.1 1.275 57.7

3.0 55.7 3.0 41.8 3159.2 1.275 53.3

2.0 53.7 2.0 40.3 3045.8 1.275 51.4

Base 314.7 Base 300.9

Controls

*confirmed by RAM analysis

CASE 1 CASE 2

.75Px (E-W) Total Px .563Px (E-W) Total Px

Parapet 25.88 Parapet 19.4 335.1 1.15 22.3

Roof 10.88 Roof 8.2 140.8 1.15 9.4

5.0 20.18 5.0 15.1 261.2 1.15 17.4

4.0 18.53 4.0 13.9 239.9 1.15 16.0

3.0 16.73 3.0 12.6 216.6 1.15 14.4

2.0 15.75 2.0 11.8 203.9 1.15 13.6

Base 107.9 Base 93.2

.75Py (N-S) Total Py .563Py (N-S) Mt Torsion, Px Total Py

Parapet 34.13 Parapet 25.6 441.9 1.275 32.7

Roof 26.03 Roof 19.5 337.0 1.275 24.9

5.0 48.60 5.0 36.5 629.3 1.275 46.5

4.0 45.23 4.0 33.9 585.6 1.275 43.3

3.0 41.78 3.0 31.4 540.9 1.275 40.0

2.0 40.28 2.0 30.2 521.5 1.275 38.5

Base 236.0 Base 225.9

CASE 3 CASE 4
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DESIGN WIND PRESURES  

 

 

 

 

 
 

DESIGN WIND FORCES 

 

 

 

 

Floor Height  q (psf) windward q leeward q total pressure q

76.50 16.20 16.20

Roof 68.00 15.60 13.45 4.61 18.06

5 54.00 14.56 12.56 4.61 17.17

4 40.75 13.46 11.61 4.61 16.22

3 27.50 11.63 10.03 4.61 14.64

2 14.25 10.05 8.66 4.61 13.27

Design Wind Pressures E-W

Floor Height  q (psf) windward q leeward q total pressure q

76.50 16.20 16.20

Roof 68.00 15.60 10.73 7.40 18.13

5 54.00 14.56 10.02 7.40 17.42

4 40.75 13.46 9.26 7.40 16.66

3 27.50 11.63 8.00 7.40 15.40

2 14.25 10.05 6.91 7.40 14.31

Design Wind Pressures N-S

Force Factored Force Story Shear Factored Shear Moment

Floor Fx, (k) Fx * 1.6 (K) V, (k) V, (k) M (ft-k)

Parapet 34.6 55.3 - - 2349.4

Roof 14.5 23.3 34.6 55.3 988.8

5.0 26.9 43.0 14.5 78.5 1452.4

4.0 24.7 39.5 41.4 121.6 1007.1

3.0 22.3 35.7 66.2 161.1 613.6

2.0 21.0 33.6 88.5 196.8 299.1

- - - 109.5 230.4 -

Base Shear 144.0 230.4 Overturning Moment 6710.3

-

3283.2

613.2

563.5

508.7

478.6

M, (ft-k)

331.5

787.7

Lateral Forces E-W Direction, Width = 115'

Factored Moment

Force Factored Force Story Shear Factored Shear Moment

Floor Fx, (k) Fx * 1.6 (K) V, (k) V, (k) M (ft-k)

Parapet 45.4 72.7

Roof 34.7 55.4 45.4 72.7 2356.3

5.0 64.8 103.7 80.1 128.1 3498.3

4.0 60.3 96.4 144.9 231.8 2456.0

3.0 55.7 89.1 205.1 328.2 1532.2

2.0 53.7 86.0 260.9 417.4 765.6

- - - 314.6 503.3 -

Base Shear 314.6 503.3 Overturning Moment 10608.4 16973.4

2451.6

1224.9

-

M, (ft-k)

3770.1

5597.2

3929.5

Lateral Forces N-S Direction, Width = 275'

Factored Moment
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TORSION CALCUATIONS WIND DESIGN 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Level Frame 9 (C) R*C² Frame 10 (C) R*C² Brace 11 (C) R*C² Brace 12 (C) R*C² J=ΣR*C²

roof 75.00 3.96 75.00 6.65 75.00 63.67 75.00 72.55 146.81

5.00 75.00 3.96 75.00 6.65 75.00 63.67 75.00 72.55 146.81

4.00 75.00 3.96 75.00 6.65 75.00 63.67 75.00 72.55 146.81

3.00 75.00 3.96 75.00 6.65 75.00 63.67 75.00 72.55 146.81

2.00 75.00 3.96 75.00 6.65 75.00 63.67 75.00 72.55 146.81

Torsion Rigidity (J) & C (COG) - Controlling NS

Level Frame 5 (C) R*C² Frame 6 (C) R*C² Frame 7 (C) R*C² Frame 8 (C) R*C² J=ΣR*C²

Roof 54.09 84.71 54.09 76.72 59.96 100.65 59.96 99.68 361.77

5.00 57.87 96.97 57.87 87.82 57.12 91.34 57.12 90.46 366.59

4.00 58.18 98.01 58.18 88.76 57.47 92.47 57.47 91.57 370.81

3.00 57.35 95.23 57.35 86.25 58.21 94.86 58.21 93.95 370.29

2.00 57.21 94.77 57.21 85.83 58.71 96.50 58.71 95.57 372.66

Torsion Rigidity (J) & C (COR) - Controlling EW

V (k) Frame 9 Frame 10 Brace 11 Brace 12 V (k) Frame 5 Frame 6 Frame 7 Frame 8

roof 127.10 3.43 5.75 55.12 62.80 90.40 23.60 21.38 22.82 22.60

5 228.90 6.17 10.36 99.26 113.11 137.60 35.93 32.54 34.74 34.40

4 323.60 8.72 14.65 140.33 159.90 177.00 46.21 41.85 44.68 44.25

3 411.30 11.08 18.62 178.36 203.24 214.30 55.95 50.67 54.10 53.58

2 496.00 13.37 22.45 215.09 245.09 248.50 64.88 58.76 62.73 62.13

Direct Shear (V*Ri /  ΣR)

Controlling N-S Controlling  E-W
Level

V (k) Frame 9 Frame 10 Brace 11 Brace 12 V (k) Frame 5 Frame 6 Frame 7 Frame 8

roof 90.40 2.26 2.05 2.42 2.40

5 137.60 3.63 3.29 3.46 3.43

4 177.00 4.64 4.20 4.43 4.39

3 214.30 5.55 5.02 5.44 5.39

2 248.50 6.37 5.77 6.32 6.26

Torsional Shear V*e*Ri*C /  ΣR*C²

Level
Controlling N-S Controlling  E-W

Case 1 for Wind load cases controls therefore 

acciedntal torison does not need to be accouted 

for 

Total V (k) Frame 9 Frame 10 Brace 11 Brace 12 Total V (k) Frame 5 Frame 6 Frame 7 Frame 8

roof 127.10 3.43 5.75 55.12 62.80 90.40 25.86 23.42 25.24 25.00

5 228.90 6.17 10.36 99.26 113.11 137.60 39.55 35.82 38.20 37.83

4 323.60 8.72 14.65 140.33 159.90 177.00 50.85 46.06 49.11 48.64

3 411.30 11.08 18.62 178.36 203.24 214.30 61.50 55.70 59.54 58.97

2 496.00 13.37 22.45 215.09 245.09 248.50 71.25 64.53 69.06 68.39

Level
Controlling N-S Controlling E-W

Total Shear (Direct + Torsional)
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WIND CALCULATIONS 

 

 

 

 

 

 

 

 

 

 
 

 
 
 

 

 

 

 

 

 

 

 

 

 

 

Level x (ft) y (ft)

Roof 135.9 60.91

5 135.36 57.13

4 135.34 56.82

3 135.69 57.65

2 137.01 57.79

Center of Rigidity - RAM Output

Level x (ft) y (ft)

Roof 136.18 61.77

5 134.95 59.63

4 134.88 59.63

3 134.97 59.58

2 135.04 59.13

Center of Mass - RAM Output

Level Σa Σa*x Σa*y x (ft) y (ft)

Roof 30879 4172020 1717514 135.11 55.62

5 30879 4172020 1717514 135.11 55.62

4 30879 4172020 1717514 135.11 55.62

3 30879 4172020 1717514 135.11 55.62

2 30879 4172020 1717514 135.11 55.62

Center of Geometry - Hand Calculated

Level x (ft) y (ft)

Roof 13.64 5.77

5 13.64 5.77

4 13.64 5.77

3 13.64 5.77

2 13.64 5.77

5% of 274' 5% of 115'

Eccentricity, e                                            

(5%building width) - RAM Output
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SEISMIC DESIGN FORCES 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Floor wx hx k wxhx
k Σ wihi

k Cvx

Base -- -- -- -- -- --

2 2740.50 14.25 1.46 131154.82 2625347.90 0.050

3 2701.80 27.50 1.46 336760.85 2625347.90 0.128

4 2692.00 40.25 1.46 584270.80 2625347.90 0.223

5 2685.70 54.00 1.46 894175.60 2625347.90 0.341

Roof 1457.90 68.00 1.46 678985.83 2625347.90 0.259

Seismic Force Story Distribution

Floor Fx (Kips) Moment (k-ft)

Roof 36.82 2503.59

5 48.49 2618.24

4 31.68 1275.18

3 18.26 502.17

2 7.11 101.34

- - -

Base 142.36 7000.52

Seismic Design Forces

-

36.82

85.30

116.98

135.25

142.36

Story Shear Vx

Overtunring Moment (k-ft)
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DRIFT CRITERIA 

 

 

* Serviceability = 0.7*Wind Force (ASCE 7-05 commentary) 

 

 

* Serviceability = 0.7*Wind Force (ASCE 7-05 commentary)  

 

 

 

 

 

 

 

 

 

 

 

 

 

Level
Story height 

(Ft)

Story Drift 

(in)

Allowable drift 

(h/400)

Total Drift 

(in)

Allowable total 

(H/400)

roof 68 0.249 0.600 ok 2.060 2.914 ok

5 54 0.347 0.568 ok 1.811 2.314 ok

4 40.75 0.467 0.568 ok 1.464 1.746 ok

3 27.5 0.525 0.568 ok 0.997 1.179 ok

2 14.25 0.472 0.611 ok 0.472 0.611 ok

Wind Drift - NS Direction

Level
Story height 

(Ft)

Story Drift 

(in)

Allowable drift 

(h/400)

Total Drift 

(in)

Allowable total 

(H/400)

roof 68 0.167 0.600 ok 0.909 2.914 ok

5 54 0.167 0.568 ok 0.742 2.314 ok

4 40.75 0.191 0.568 ok 0.575 1.746 ok

3 27.5 0.192 0.568 ok 0.384 1.179 ok

2 14.25 0.192 0.611 ok 0.192 0.611 ok

Wind Drift - EW Direction

Level
Story Height 

(ft)

Strory Drift 

(in)

Allowable drift 

(.020h)

Total Drift 

(in)

Allowable total 

(.02h)

roof 68 0.208 3.360 ok 2.059 16.320 ok

5 54 0.358 3.180 ok 1.851 12.960 ok

4 40.75 0.502 3.180 ok 1.493 9.780 ok

3 27.5 0.537 3.180 ok 0.991 6.600 ok

2 14.25 0.454 3.420 ok 0.454 3.420 ok

Seismic Drift - NS Direction

Level
Story Height 

(ft)

Strory Drift 

(in)

Allowable drift 

(.020h)

Total Drift 

(in)

Allowable total 

(.02h)

roof 68 0.123 3.360 ok 0.713 16.320 ok

5 54 0.141 3.180 ok 0.590 12.960 ok

4 40.75 0.162 3.180 ok 0.449 9.780 ok

3 27.5 0.156 3.180 ok 0.287 6.600 ok

2 14.25 0.131 3.420 ok 0.131 3.420 ok

Seismic Drift - EW Direction
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BRACING DESIGN 
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COLUMN CHECK - BRACED FRAME 
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IMF Connection Calculations 
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APPENDIX C  

 

PROGRESSIVE COLLAPSE DESIGN 
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GSA design criteria for progressive collapse 
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This was the original design, however after comparing it to SidePlate connection system SidePlate was 
chosen as the connection for the design. 
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APPENDIX D – ARCHITECTURE BREADTH 
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